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The use of decked precast prestressed concrete girders (DPPCG) is becoming
popular in accelerated bridge construction. DPPCGs are assembled and connected on site

using grout or concrete longitudinal connections. The durability performance of these
connections is a concern. The objective of this research is to document the longitudinal

connection behavior with respect to its design parameters, and establish a process for
developing a standardized connection detail considering the demands due to live load and
temperature gradient (TG) load. In order to demonstrate this process, decked bulb-tee and

decked box-beam girders were considered. Finite element models, under various types
and levels of loads and in conjunction with the design parameters, were used for

evaluating the internal forces at connections. Structural analysis reveals that the TG load

is significant and needs to be considered in connection design, and moment at
connections increases when: (1) slab thickness increases, (2) bridge materials have

greater strength and thermal properties, and (3) diaphragms have larger sections and
smaller spacing. Structural design shows that (1) due to the TG moment, crack control
criteria at service limit state governs the flexural design, and (2) tensile stress in steel in

AASHTO (2012) eq. 5.7.3.4-1 should have an upper limit to prevent steel from yielding.
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CHAPTER 1

INTRODUCTION

1.1 OVERVIEW

Accelerating bridge construction (ABC) is getting acceptance by Departments of
Transportation (DOTs) to minimize traffic disruption and ensure safety for the public and
construction workers. The elimination of formwork use and improvement of work-zone
safety are items that have a greater impact on the choice of bridge system type. The
economic impact associated with the closure of high traffic volume roads with long
detours is taken into consideration when selecting ABC alternatives. Wlien all these
factors are combined, prefabricated bridge elements and systems is one of the preferred
choices. In particular, decked steel girders and decked precast prestressed concrete
girders (DPPCGs) are a highly desired option for accelerating bridge construction.
Decked bulb-tee (DBT) and decked box-beam (DBB) are two examples of DPPCGs.
DPPCG consists of an integral deck that is cast and prestressed at the same time
as the girder. Prefabricated bridge elements are manufactured under controlled conditions
in the precast plant, which assures high quality units. That is, superstructure components
work efficiently against induced stresses, enhancing the durability of the deck and

consequently minimizing the life-time cost of the bridge. The use of DPPCG is beneficial

in regions that have shorter construction seasons, very high traffic volumes, and long
detours. Since DPPCG encompasses the bridge deck slab, the time needed to erect
formwork and allow concrete to cure at the construction site is minimized.

Superstructure elements are transported, assembled, and connected at a
construction site with cast-in-place joints. The load transfer between the adjacent PPCGs

relies on the strength of the connections. Further, the durability performance of these
systems heavily depends on the field-cast connections. Different connection types are

used for joining girder flanges (e.g., shear and shear-flexure transfer connections).
1

Despite the benefits that DPPCG offers, it is still used in only a handful of states.
Concern about the lack of connection design specifications is the main barrier to the

widespread use of this superstructure system (Ma et al. 2007).
1.2 PROBLEM STATEMENT

Culmo (2009) and French et al. (2011) provide details for deck level connections.

Even though the majority of connections with these details perform satisfactorily in terms

of strength, challenges with ensuring durability have been documented (Stanton and
Mattock 1986; Ma et al. 2007; Oesterle and Elremaily 2009). Since the ABC is becoming

more popular among state DOTs, there is a current emphasis on developing a
standardized connection detail. Unfortunately, there is not a comprehensive document

detailing the standardized connection detail development process. The studies so far have
investigated load capacity of the connections under static and dynamic loads. Even

though the American Association of State Highway and Transportation Officials
(AASHTO) (2012) emphasizes the need for incorporating temperature gradient (TG),

none of the previous studies have investigated the impact of TG on connection behavior
and load demand.

1.3 OBJECTIVE

The primary objective of this research is to present a comprehensive process for

developing a standardized detail for durable deck level longitudinal connections.
Particularly, the objectives are to: (1) develop a process for standardizing longitudinal
connection detail, (2) calculate load demand (i.e., moment, shear, and axial force) due to

live load (LL) and TG at the coimection, and (3) provide a standardized detail for deck
level longitudinal connections. A detailed example is presented to demonstrate the
development of the design detail incorporating LL and TG.

1.4 SCOPE

The study will illustrate the process of developing standardized connection details
for deck level longitudinal connections between PPCGs. Decked bulb-tee and decked

box-beam girders were chosen to illustrate the process. The applicable loads are selected
from AASHTO (2012) as LL and TG. Since the standardized connections are intended to

be implemented in Michigan, AASHTO (2012), Michigan Department of Transportation

(MDOT) Bridge Design Manual (MDOT 2013a), and MDOT Bridge Design Guide
(MDOT 2013b) stipulations are adhered to.

CHAPTER 2

RESEARCH METHODOLOGY

The process of standardizing coimection detail is depicted in Figure 1. Connection
types, loads, and design parameters are identified through a comprehensive review of the
literature with respect to state-of-the-art connection detail practices identifies connection

types, loads, and design parameters. Hence, the following three major topics are the focus
of the literature review:

•

Longitudinal connection types, details, and performance

•

The applicable loads

•

Design parameters that are expected to have an influence on the longitudinal
connection load demand

Structural analysis of bridge models evaluated the significance of the design

parameter effects on connection load demand, identifying critical design parameters.
Based on these parameters, the structural analysis of a final bridge model identified the

greatest possible coimection load demand as a result of TG and LL. The ultimate product
of this research is a standardized coimection detail that satisfies these load demands. An

improved durability performance and strengthequal to that of the rest of the prefabricated
modules of the bridge are expected from the standardized comiection detail.

State-of-the art deck level longitudinal connection detail
L__ZIZIIZ1
Connection types and details

i

•

i

-

,

,

Applicable loads

<<

i 1

1

1

Connection load demand

•

Connection design

i

r

Standardized connection detail

Figure 1. Research Methodology

•

Design parameters

CHAPTER 3

LITERATURE REVIEW

3.1 OVERVIEW

This

chapter

presents

(1)

superstructure

component

configurations,

(2)

longitudinal connection types, details, and performance, (3) bridge geometry, (4)
diaphragm configurations and spacing, (5) materials, and (6) load types and magnitude.
3.2 SUPERSTRUCTURE COMPONENT CONFIGURATIONS

Two systems of DPPCGs, DBT and DBB, were selected for the study as a result
of the advantages they offer to ABC. Several DOTs and construction agencies have

developed DBT standard sections with different details and span capabilities. On the
other hand, the standard DBB has not yet been developed. Due to their widespread use,
Precast/Prestressed Concrete Institute (PCI) standard sections were selected for this

study.
3.2.1 Decked Bulb-Tee Girder (DBT)

A DBT is made up of either a prestressed concrete I-beam or bulb-tee girder that

is simultaneously cast with an integral deck. Figure 9 shows the geometry of PCI (2011)
DBT standard sections, which are typically manufactured with 4 ft, 6 ft, and 8 ft wide

flanges. As the use of wider sections is more economical (SHRP2 2012), the analytical
study investigated 6 ft and 8 ft wide girders. Figure 3 summarizes the maximum

applicable span for each DBT girder size. DBTs of different sizes are named using their
section total depths. For instance, "DBT-35" refers to a decked bulb-tee girder with a
total depth of 35 inches.

Flange
thickness

Girder

Web

height

height
6"

X

9t

'p
>„a

2*-1"

Figure 2. Standard PCI DBT

Use of the maximum applicable span for a certain prefabricated girder size is

limited by the capability of trucks and cranes. For instance, MDOT (2013a) limits the

weight of a prefabricated module to 80 kips. However, a typical crane lifting capacity is

up to 200 kips (SHRP2 2012). Therefore, Figure 4 shows the maximum girder span
length capacity that can be constructed without exceeding weight restrictions (i.e., 80

kips and 200 kips). For example, the maximum span capacity of DBT-65 is 170 ft, but if
the full span capacity of this girder is utilized, the weight will exceed the weight limit.
Tlierefore, not more than 159 ft of DBT-65 can be constructed if the maximum weight

limit is 200 kips, and not more than 63.5 ft if the maximum weight limit is 80 kips.

8'
DBT-65

Girder

height

QSO-kip Restricted Span Lensth

DBT-3 5

n20Q-kip Restricted Span Length
30

60

90

120

ISO

180

210

Span Length (ft)

a Maximum Span Length

Figure 3. Maximum Applicable and Weight Restricted Span Lengths of DBT with 6
in. Thick Flange

However, if the construction of a U-bar connection is intended, a 6 in. thick

flange is not sufficient to accommodate both concrete cover and the bend diameter of the
bar, as specified in AASHTO (2012), MDOT (2013b) stipulates that the standard deck
slab thickness is 9 in. Typically, a 0.5 in. sacrificial layer is added to the girder flange

thickness for grinding purposes (e.g., camber adjustment). Thus regardless of the

changes in prestressed concrete design due to the extra size and weight of the girder, the
weight restricted span lengths from Figure 3 are reduced as a result of the extra weight
added by the increase in flange thickness from 6 in. to 9.5 in. (Figure 4).

^BlI

&

B"
Girder

height

D8T-3S nil Will
-1

30

B80-kip Restricted Span Length
1

!

1

1

I

60

90

120

150

180

Span Length (ft)

210

m250-kip Restricted Span Length
a Maximum Span Length

Figure 4. Maximum Applicable and Weight Restricted Span Lengths of DBT with
9.5 in. Thick Flange

D88-rV-48

8'
D8B-HHW

•n

CO

&

DBB-IIS-36

Girder

height
DBB-Si-48

0
DBB-II-36

a80-kip Restricted Span Length
DBB-i-36

0)2004$) Restricted Span Length
60

9 Maximum Span Length

Span Length

Figure 6. Maximum Applicable and Weight Restricted Span Lengths of DBB with
9.5 in. Thick Flange

3.3 LONGITUDINAL CONNECTION DETAIL

Different details of deck level connections are used in practice. Comprehensive

reports, such as Connection Details for Prefabricated Bridge Elements and Systems
(Culmo 2009), provide most of the coimection details that are either standard practice or

experimental/conceptual. It should be noted here that since DBTs are considered one of
the most promising DPPCGs, the longitudinal connection details between these members
have been extensively studied. AASHTO (2012) specifies two types of coimections

between prefabricated units based on load transfer mechanism: shear and shear-flexure
transfer connections.

3.3.1 Shear Transfer Connection

According to Martin and Osborn (1983), Stanton and Mattock (1986), and
Oesterle and Elremaily (2009), DBTs are commonly connected by a combination of welded
transverse tie connections with keyways filled with either non-shrink cementitious grout

or a custom-designed concrete mix (Figure 7). A 6 in. thick flange is adequate to develop
10

3.2.2 Decked Box-Beam (DBB)

A DBB is made up of a prestressed concrete box beam that is simultaneously cast

with an integral deck. The standard DBB has not yet been developed. However, Texas
DOT has devised a similar bridge superstructure system called a decked slab beam

(TXDOT 2013). This type of DPPCG is included here since most of the aging bridges in
the USA have obsolete vertical clearances (Svirsky 2013). Therefore, the use of shallow

DPPCGs is a practical option for a bridge superstructure replacement. Furthermore, the

applicable span of DBBs is appropriate for short-to-medium span lengths, which is the
focus of this research (Reference). However, since no standard sections of DBBs are
available, PCI (2011) box beams were chosen and hypothetically considered as decked

box-beams for study consistency. Consequently, span applicability ranges for different
sizes of DBB girders were assumed to be the same as those for box beams. In this
research, DBB is named by the box beam depth and width. For instance, "DBB-I-36"
refers to a decked box-beam that is 27 in. deep and 36 in. wide. Figure 6 shows the

maximum applicable and weight restricted span lengths for each girder size. The
maximum applicable span lengths for DBBs were assumed to be the same as those for
box beams. It should be noted that Figure 6 shows three bars with the lowest bar showing

the maximum applicable span lengths and the upper two bars showing the span lengths
when weight restrictions of 200 kips and 80 kips are considered.
Flange width
Flange -r

thickness J_
. 3".
CO

Girder

5"

height
5 111
2

3'-4"

Figure 5. Standard PCI Box Beam Converted to DBB

a shear transfer connection. This detail is designed merely to transfer shear between

neighboring girders (Culmo, 2009). The welded transverse ties work as mechanical
comiections. Typically, they are plates anchored into girder flanges with shear studs or
deformed bar anchors.

The intervals between the ties range from 4 ft to 8 ft in order to ensure enough

tensile capacity against movement in the transverse direction. However, DOTs and bridge
construction agencies construct shear transfer connections with different details (Figure 8

and Figure 9). The main function of the shear key is providing primary wheel load
transfer between adjacent girders (Martin and Osborn 1983). A shear transfer connection

works as a hinge by transferring only vertical forces between the two neighboring girders
(AASHTO 2012). Thus, each flange of the girder is designed to work as a cantilever

(Culmo 2009). Yet, the overall rigidity of the connection may cause a small portion of the
moment to be transferred between the girders (Martin and Osborn 1983; Stanton and

Mattock 1986). Shear forces along the length of the comiection are not distributed evenly

(i.e., concentrated at the connectors). As a consequence, the coimection section may not
work efficiently, increasing the chance for cracks to develop at certain locations between
the connectors (Ma et al. 2007).

A survey conducted by Oesterle and Elremaily (2009) indicated that grouted shear
keys with welded transverse ties have good-to-excellent performance. However,
durability of these comiections is a concern. Since the welded comiectors are spaced

widely, cracks develop in the shear key and propagate through the overlay. These cracks
allow moisture ingress through the coimections. Spalling and delamination are results of
corrosion due to moisture ingress (Ma et al. 2007). Stanton and Mattock (1986) stated
that moment at connections is the major cause of these cracks. Bridge designers have
raised concerns about the long term fatigue behavior of welded tie coimections,

especially on roads with heavy average daily truck traffic. Other defects that might be
found on shear transfer coimections with welded ties and shear keys are: (1) the bottom

surface of the welded plate may corrode if it is not stainless steel, leading to coimection
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failure and (2) when the grout is not well-filled, the mechanical interlock is not adequate
or completely nonfunctional (Martin and Osborn 1983; Li 2009).
Top flange
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Figure 7. DBT Girders Connected by Longitudinal Joints with Welded Steel
Connectors (Source: Stanton and Mattock 1986)
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Figure 9. Common Shear Transfer Connection Detail 2 (Source: Oesterle and
Elremaily 2009)

3.3.2 Shear-Flexure Transfer Connection

The other way to comiect DPPCGs is to use connections that are capable of

transferring shear and moment between neighboring girders. This can be achieved by
reinforcing the connection with bars. Bars project from the girder flanges and overlap

into the joint. Lacer bars along the comiection length are provided to enhance the
mechanism of the connection. This type of coimection is intended to provide full

14

continuity between prefabricated superstructure modules and control the potential crack
width (AASHTO 2012).
Crack widths at connection locations can be controlled more efficiently through
the use of well-distributed reinforcement bars (AASHTO 2012). That is, both material

bonding strength and connection reinforcement bars resist the induced stresses. A shearflexural transfer connection has several reinforcement details that are in practice (e.g.,

straight bars, headed bars, and U-bars). Connections with straight bars require the use of

a high bonding material (e.g., ultra-high performance concrete). With conventional
concrete, U-bars and headed bars are commonly used to minimize the width of

connection, since they are stronger and require less development length (French et al.
2011).
3.3.2.1 U-bar detail

U-bars are formed from single bars bended to provide two layers of reinforcement

(Figure 10). Projecting bars from adjacent flanges lap into the comiection to provide
continuity for deck reinforcement. The typical reinforcement bar sizes used in
longitudinal connections are #4 and #5 bars. The development length is minimized by the
180° bend of the U-bar that forms a mechanical anchorage (Jorgensen and Hoang 2013).

In accordance with AASHTO (2012), the bend diameter shall not be less than 6db, where,

db is the bar diameter. If MDOT (2013b) requirements for concrete cover are imposed, a

6 in. thick flange is not sufficient. Thus, an increase in girder flange thickness is needed.
However, this results in an increase in the precast module weight. Precast element weight

and space issues need to be considered during constructability evaluation (Attanayake et
al. 2012). The interface of the abutted flanges is detailed to be female-to-female shear
key, increasing the bonding face area and enhancing the coimection resistance against
shearing forces. Narrow coimection widths are preferred in order to minimize filling
material costs. Furthermore, reducing the width also shortens curing time of the filling
material at the construction site (SHRP2 2012). The strength of the U-bar connection is

15

maintained by the bearing surface of the U-bar (i.e. the inside of the bend). Additionally,
lacers are provided to enhance the mechanism of the looped bars (He et al. 2013).

Figure 10. U-Bar Detail for DBT

Even though the use of U-bars provides good crack width control and enhances
connection durability, the lack of standard specifications for deck level coimections
concerns ABC users. The behavior and strength capacity of the comiections with
different reinforcement details and widths have been evaluated. Tensile and flexural

capacity results were monitored to check the connection strength against cracking. French
et al. (2011) performed a laboratory test on a U-bar detail and a headed bar detail
connections. The test results indicated that a U-bar joint with a 6 in. overlap length and

two longitudinal lacer bars produces the largest flexural and tensile capacity with an

adequate ductility. In addition, the researchers concluded that at the service level, cracks
are relatively small in the case of constructing a U-bar connection detail. From a practical

point of view, a phone survey indicated that DOTs and bridge construction agencies
prefer U-bars over other reinforcement details for deck level longitudinal connections. As
well, the U-bar detail is preferred in Japan and Korea (French et al 2011).
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3.3.2.2 Headed bar detail

A headed bar detail consists of one row of bars protruding from the middle of the

flange thickness and overlapping into the coimection (Figure 11). The bars are placed at
the mid-thickness of the flange due to concrete cover satisfaction (He 2013). The bearing

surface (i.e. the head) provides strength to the connection (Li 2009). The abutted flanges
are made to be female-to-female shear key and mostly V-shaped in order to optimize the
connection shear resistance. Analytical and experimental studies have been carried out to

evaluate the performance of the headed bar detail. Oesterle and Elremaily (2009)
concluded in their study that the headed bar detail has enough strength capacity to
transfer full moment and shear between adjacent girders. Since there is no need to

increase deck flange thickness, headed bar detail is considered as a viable longitudinal
connection detail and it might be a substitute to the combination of the welded tie
coimectors with grouted shear key (Li 2009).

Figure 11. Headed Bar Detail for DBT

However, when a bridge is in service, peak stresses develop at the extreme

surfaces of the coimection (i.e., top and bottom surfaces). Therefore, the use of a headed

bar layer located at the mid-thickness of the flange is not optimal for crack control. Other
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experimental studies evaluated the use of two layers of headed bars. Due to the large
diameter of heads, the concrete cover requirement is not fulfilled (Li 2009).

3.3.2.3 Ultra-High Performance Concrete Connections

Durability and constructionability issues necessitate the use of innovative
materials for bridge construction (e.g. Ultra-High Perfonnance Concrete (UHPC)). An

optimized mixture of cement, water, and aggregate compose UHPC. A low cement to
water ratio and a high percentage of discrete fiber reinforcement produce UHPC with

compressive strength and modulus of elasticity exceeding 18 ksi and 6200 ksi,
respectively (Graybeal 2012). UHPC connections are female-to-female (diamond shaped)
shear key, reinforced with straight or headed lapped bars (Russell and Graybeal 2013)
(Figure 12 a, and b).

According to laboratory tests performed by Graybeal (2012) and Hartwell (2011),
when deck-level connections are built with UHPC: (1) the structural behavior of

connections emulates a cast in place concrete bridge deck, (2) connections that are 6 in.

wide and 6 in. thick can develop sufficient development length and flexural and tensile

capacity, (3) connections with straight bars are able to provide sufficient strength to
transfer shear and moment between adjacent girders, and (4) the bonding capability is

higher, mitigating the occurrence of interface debonding. In contrast, SHRP2 (2012)
conducted an intensive laboratory test on UHPC connections and revealed that even

though the UHPC deck connections manifest high strength, interface debonding occurred.
Tensile testing clarified this, with debonding occurring as a result of forces much lower
than the forces imposed when the bridge is in service. In addition, Shim (2005) addresses
durability concerns regarding early-age cracking that might develop during the
manufacture of LIHPC components. This study indicates that the high percentage of
cement in UHPC increases the temperature during hydration, initiating micro-cracks that
allow chemicals to penetrate and cause deterioration.
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Figure 12. UHPC Longitudinal Connection Detail

UHPC comiections were tested in the field during the LJS Highway 6 Bridge over

Keg Creek project in Iowa. The ultimate goal of this project was to evaluate the
perfonnance of the latest innovative materials and techniques in bridge constmction. The

Keg Creek Bridge is the first bridge in the USA that was built out of HPC prefabricated
decked steel girders connected with UHPC joints. The longitudinal connections are 6 in.
wide and 8 in. deep and reinforced with #5 hairpin bars at 8 in. spacing. The bridge was
constructed in 2011. Seven months later, cracking was documented at the interface
between UHPC coimections and girder flanges (Figure 13) (Phares et al. 2013).

(a) Deck Top Surface Cracking
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(b) Deck Bottom Surface Cracking

Figure 13. Cracking at the Interface of the UHPC Longitudinal Connection (Source:
Phares et al. 2013)

3.3.2.4 Lacer Bars

Comiections with distributed bars have to include lacer bars, since lacer bars have

a major role against the premature failure of comiections, such as local crushing and

splitting (Dragosavi'c et al. 1975). Typically, two Lacers are placed along the length of
the connection at the internal face of the looped (Figure 14) (French et al. 2011). The

mechanical anchorage perfonns more efficiently when lacers are provided. However, the
size of lacers has to be sufficient to be able to transfer forces from the bearing surfaces

(i.e., the inside of the bend for the U-bar) to the concrete core (He et al. 2013). Gordon

and May (2005) carried out laboratory testing on Li-bar connections to evaluate the

significance of the lacer bars. The specimen was a U-bar coimection without lacers. The
connection had an abrupt failure due to the lack of confinement that would be provided
by the lacer bars.

20

acerbars

A
t
U bars

Figure 14. Lacer Bar Location

3.4 BRIDGE GEOMETRY

This study focused on routine bridges (i.e., bridges with a span <130 ft and skew

< 45°), which represent the majority of Michigan bridges (Pontis 2010). SHRP2 (2012)
emphasized the need for assigning weight and size limitations for prefabricated modules
in the way that traditional transportation and erection equipment (e.g., trucks and cranes)
can be utilized. Moreover, if the use of high capacity equipment is mandatory, the extra
relative costs should be taken into consideration. Dimensional and weight restrictions for

prefabricated modules have been adopted depending on typical equipment capacity by
SHRP2 (2012) as listed below. These restrictions were selected based on the use of

available transporting and lifting equipment without a significant increase in time and/or
cost as a consequence of the use of unconventional devices.
•

Length <130 ft,

•

Weight< 100 tons (200 kips), and

•

Width < 8 ft

3.4.1 Bridge Span Length

More than 95% of the bridges in Michigan have span length less than or equal to

130 ft as indicated in Figure 15 (Pontis 2010). Considering the span ranges presented in
the SHRP2 (2012), span length is grouped to:
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•

40 ft < Span < 70 ft

•

70 ft < Span < 100 ft

•

100 ft < Span < 130 ft
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Figure 15. Length Ranges of Michigan Bridges (Source: Pontis 2010)
3.4.2 Skew

The most common ranges for skew are 20°, 30°, and 45°. The skew angle

influences diaphragm distribution. DOTs have different skew policies. According to
Pontis (2010), more that 90% of the bridges in Michigan have a skew < 45° (Figure 16).
100

Straight

0<6<20 20<9^ 30 30<8<45

6>45

Skew (Degree)

Figure 16. Skew Ranges of Michigan Bridges (Source: Pontis 2010)
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3.5 DIAPHRAGM CONFIGURATION AND SPACING

Diaphragms are constructed from either concrete or steel. Diaphragms at
abutments and piers are mandatory. Conversely, it is not obligatory to build intermediate

diaphragms if the bridge designer does not see an importance for it through the structural
analysis (AASHTO 2012). Every DOT has its own specifications for diaphragms. This
section presents the diaphragm requirements that are commonly used.
3.5.1 End Diaphragm

End diaphragms work as ties at the end of girders. They hold the end of the

girders and work simultaneously against loads on the bridge. The main function is to help
transfer loads among girders and from the superstructure to the substructure (abutments

and/or piers) (Oesterle and Elremaily 2009). Typically, end diaphragms are made of
concrete that is either precast or cast in place. Some of them are integrated with the
backwall (e.g., integral and semi-integral backwall). The total depth and width vary
among precast manufacturers. Figure 17 shows diaphragm configurations with various
depths for a DBT bridge system. For a DBB bridge system the end diaphragms are
mostly full depth (Figure 18).
1 Girder

t Girder

(6.5' -8.5')

[Varies

Figure 17. End Diaphragm Configuration for DBT
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Figure 18. Full Depth End Diaphragm for DBB
3.5.2 Intermediate Diaphragms

Using intermediate diaphragms may slow construction. Therefore, ABC users

usually try to choose an intennediate diaphragm system that helps minimize bridge

assembly time (SHRP2 2012). This section presents the possible types of intermediate

diaphragms that can be constructed for DBT and DBB. In particular, diaphragm size and
spacingof intermediate diaphragms are presented.
3.5.2.1 DBT Intermediate Diaphragms

Intermediate diaphragms are made of either concrete or steel. Figure 19 shows

intennediate concrete diaphragms used with DBT. Steel diaphragms require less on-site

work and are lighter. Figure 20 shows a cross frame diapliragm and Figure 21 shows K-

bracing. Both diaphragm configurations are used with DBT because of the simplicity of
construction and the efficiency in transfening loads between girders (Culmo 2009; PCI

2011). The most common spacing requirements for intermediate diaphragms are:
•

One or no diaphragm for span < 80 ft,

•

Two diaphragms at 1/3 points for 80 < span < 120 ft, and

•

Three diaphragms at 1/4 points for span > 120 ft.
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Figure 19. Intermediate Diaphragm Configuration for DBT

i. Girder
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Figure 20. Steel Diaphragm (Cross Frame)
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<l Girder

<L Girder

Figure 21. Steel Diaphragm (K-bracing)

3.5.2.2 DBB Intennediate Diaphragms

Generally, the same intermediate diaphragm requirement for box beams is used
for DBB. Spacing and size of diaphragms are based on post-tensioning specifications
(i.e., duct location and width) (MDOT 2013b). The geometry of the intermediate
diaphragms is similar to the end diaphragms (Figure 18).
3.6 MATERIAL PROPERTIES

The main components of grout are: cement, sand, and water. Additives are mixed
with these main components to improve the grout characteristic (e.g., easy flow, self-

compacting, and expansive) (Oesterle and Elremaily 2009). The contribution of the
material properties is represented by the modulus of elasticity (E) and the thermal
coefficient. For concrete, E is calculated using AASHTO (2012) eq. 5.4.2.4-1; (Ec =

33,000 wc1,5Vf7c ); where the concrete unit weight (wc) in kef and the concrete
compressive strength (f'c} is in ksi. The compressive strength for a normal weight
concrete superstructure component is usually 4 ksi or higher (MDOT 2013a). Typically,

prestressed concrete compressive strength values are higher than 5 ksi. Modulus of
elasticity for steel is 29000 ksi. The other important properties in order to complete the
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analytical study are the thermal expansion coefficient and Poisson's ratio. These two
properties define the way that materials deform and the magnitude of this deformation.

The thermal expansion coefficient depends mainly on the properties of the aggregate that
the concrete is made of (AASHTO 2012).
3.7 APPLICABLE LOADS

Loads can be applied from different design codes. In this study, loads comply
with AASHTO (2012) load requirements. Particularly, loads and load combinations that

are applied to design a bridge deck slab are used to design deck level coimections.
3.7.1 Live Load (LL)

The AASHTO (2012) design vehicular live load is designated as HL-93. The

number of lanes is the integer value obtained by dividing the clear width of the bridge
deck by 12ft. Multiple presence factors are imposed for the comiection design in addition
to the dynamic load allowance (IM) of 33%.

AASHTO (2012) specifies that the

designated HL-93 consist of the combination of:
•

Design tmck or design tandem, and

•

Design lane load.

3.7.2 Temperature Gradient (TG) Load

Bridge decks are exposed to weather conditions more than other bridge

components. Solar radiation, wind, snow, etc. result in variable deck temperatures
throughout the seasons. During the day, sun radiation penetrates the deck. Since concrete
has a low thermal conductivity, a non-linear divergence in temperature between the top
and the bottom surfaces of the deck occurs (Branco and Mendes 1993). The highest

values of positive TG happen in the summer when the temperature reaches its peak in the
middle of the day. On the other hand, the lowest values of negative temperature gradient
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occur in the predawn hours of the winter (Hedegaard et al. 2013). In addition to the
temperature gradient profile through the depth of the superstructure, spatial variation over

the bridge deck is also documented. Some TG profiles have been developed through
design codes based on local field measurements of temperature, mathematical models,

statistical approaches, and numerical techniques. Design specifications provide different

TG profiles and equations for design purposes (Figure 22). Moreover, isothennal maps
express the TG values for different regions of a country (Branco 1993). The values of To,
Ti, T2, T3 are provided based on the location of the bridge. For instance, the USA is

subdivided into temperature zones based on solar radiation. Each zone has a positive and
a negative TG profile. The negative values are given as functions of the positive values
based on the wearing surface type (i.e., plain or with an asphalt overlay) (AASHTO

2012). The temperature value at the upper surface is the highest, and decreases gradually

toward the bottom of the superstructure. Similarly, the UK is subdivided into temperature
zones and T], T2, and T3 differ depending on the zone. Conversely, in the New Zealand

code, the temperature at the top is T0 and the temperature value at any depth, T(y),
decreases gradually in accordance with

Priestly (1978) fifth order equation, until it

reaches zero at a depth of 47.2 in., where T(y) = T0(—^—)5. Simplified TG profiles are
provided for design purposes. The following are parameters that affect TG profiles
(Elbadry and Ghali 1983; Hedegaard et al. 2013):
•

Climate: solar radiation, air temperature, wind speed, and nebulosity.

•

Geographical: altitude, latitude, etc.

•

Time: hour of the day, day of the year, etc.

•

Geometric: geometry of the cross section, bridge orientation, overlay thickness, etc.

•

Material: thermal conductivity, density, specific heat, color, etc.
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Figure 22. TG Profile from Different Design Codes

Many studies have been performed investigating the proposed profiles of TG.
Thompson et al. (1998) monitored temperature variation on the precast segmental
concrete box bridge on highway US 183 in Austin, Texas. The TG values obtained were
lower than the TG values in AASHTO (1994). The positive AASHTO (1994) values are
the same as in AASHTO (2012), but the negative values of TG differ as a result of a

change calculation method. Roberts-Wollman et al. (2002) and Hedegaard et al. (2013)
canied out TG investigations. The results show that the measured positive TG is

approximately the same as the TG values obtained by the fifth-order curve developed by
Priestly (1978). In addition, Hedegaard et al. (2013) state that the maximum top surface
measured temperature was closer to the top surface temperature provided by AASHTO

(2010) for zone 2. Rodriguez et al. (2013), after a year of field monitoring of bridge
temperature, found that the .AASHTO (2012) TG profile is very close to the recorded TG
compared to the fifth-order curve. Therefore, it can be concluded that many factors affect
the TG values and for designing durable structures, local field measurements are

necessary in order to have accurate values for TG. Other analytical and experimental
studies have been carried out with the aim of developing temperature gradient profiles for

each city in the LISA. A long-term behavior monitoring of the 135 W St. Anthony Falls
Bridge was canied out by French et al. (2009). They describe the full instrumentation

used and include preliminary data from the monitoring. It covered the environmental

impact on the bridge. The temperature gradient profile was recorded through the
monitoring (Figure 23). Even though many factors influence the temperature gradients,
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the study indicates that solar radiation has the highest impact on the temperature gradient
profile.
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Figure 23. Thermal Gradient Profiles at Different Times of a Day (Source: French
et al. 2009)

Lee (2012) investigated and evaluated the effect of weather changes throughout
the year on the distribution of temperature variation in concrete girders. Initially, the
study was focused on assessing the largest seasonal positive temperature gradients in
bulb-tee 63 (BT-63). As shown in Figure 24, the profile of the temperature gradient is
calculated by deducting the lowest temperature from the other values along the girder

depth. The same procedure was repeated in 8 cities in the LISA. Accordingly, a proposed
temperature gradient profile was introduced (Figure 25). In a comparison with the
AASHTO (2012) temperature gradient profile, the highest value of temperature is at the

top and the zero value is at the top of the bottom flange of the girder.
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f—
Top flange
Vertical Differential.

^©
T2

Girder Depth.

Web

Alamosa, CO
Phoenix, AZ
Medford, OR
Atlanta, GA

Brownsville, TX
Caribou, ME
Hilo, ED
Annette, AK

30(54)
29 (52)
29(52)
27 (48)
26 (46)
26 (46)
26(46)

7.2(13)
6.7 (12)
5.6(10)
6.1 (11)
6.7 (12)
5.0 (9)
6.7(12)

23 (42)

4.4 ( 8)

Bottom flange
*

T3<3eC(5°F)

Figure 25. Vertical Thermal Gradient of Prestressed Concrete Bridge Girders
Proposed by Lee (2012)
3.7.2.1 Temperature Gradient Effect

Damage to concrete bridge decks increases due to the stresses induced by

temperature (Priestly 1978, Kennedy and Soliman 1987). DeWolf et al. (1995) and Song
et al. (2012) investigated the cnanges due to the effect of TG on the physical properties of
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different systems of bridge superstructures. They concluded that of all the environmental
factors, temperature variability has the greatest impact on deck deterioration. Deck
condition degrades due to changes in the size and stiffness of bridges that occur with

changes in ambient temperature (Mosavi et al. 2012). Deflections along the length of
girders also occur with changes in temperature, causing stresses that initiate cracking
(Burdet 2010). Priestly (1978) conducted his study on Auckland's Newr Market Bridge in
New Zealand after he observed wide cracks in it. The bridge consists of prestressed
concrete box girders. He found that solar radiation and ambient temperature have a main
role in deteriorating the bridge deck. In the study, temperature variation in the transverse

direction through the thickness of the webs of the box girders was also considered a

factor that increases stresses, but was deemed insignificant. Hadidi and Saadeghvaziri
(2005), reveal that environmental conditions such as temperature are the main reason for
crack development. Barr et al. (2013) investigated the effect of the behavior of an integral
abutment bridge and concluded that the combination of uniform temperature and TG
increases stresses in the total structure (i.e., superstructure and substructure). However,

Azizinamini et al. (2013) recommends that in order to mitigate the contraction and
stresses induced by thermal gradient loads in bridge concrete components, aggregate with
a low modulus of elasticity and thermal coefficient should be used.
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CHAPTER 4

CONNECTION TYPES, LOADS, AND ANALYSIS PARAMETERS

In the previous chapter, a comprehensive review of connection types, details, and
perfonnance was carried out. Figure 28 shows a summary of the standardization process.

The longitudinal connection type, the applicable loads, and the analysis parameters that
will be the variables in the analytical section are introduced in this chapter. Structural

analysis defines the critical analysis parameters that have a significant impact on
connection load demand. The final analysis to detennine the connection forces (i.e.,
moment, shear, and axial forces) was developed based on the critical analysis parameters,

informing the design of a standardized connection.
4.1 LONGITUDINAL CONNECTION TYPE AND DETAIL

A comprehensive investigation was performed on connection details and their

perfonnance. In terms of load transfer, longitudinal connections are divided into two
categories: shear and shear flexure transfer connections. The first connection type was
selected to perform the load demand analysis due to good performance.
4.2 SUPERSTRUCTURE COMPONENT CONFIGURATIONS

PCI DBT and decked box beam (DBB) standard sections (Figure 2 and Figure 5)

were used in the analysis. Flange thicknesses ranging from 6 in. to 9.5 in. are used by
various DOTs. Hence, this flange thickness range is selected for further analysis. Girder

top flange width ranges from 6 ft to 8 ft selected for further analysis. The maximum span

length for each girder size was based on the 200-kip restricted span lengths in order to
ensure that the chosen girder size is constructible (i.e., does not exceed lifting and
transporting equipment limits).
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4.3 BRIDGE GEOMETRY

This study focused on routine bridges (i.e., bridges with a span length < 130 ft and
skew < 45°), which represent the majority of the bridges in Michigan. When the

significance of the bridge length was investigated, the upper and lower limits for the span
length were 130 ft and 40 ft, respectively. Bridges with 1, 2, and 3 lanes in accordance
with Michigan lane and shoulder width requirements were analyzed. Bridge width was
calculated with the fomiula (number of lanes) x (lane width of 12 ft) + (2) (shoulder

width of 14ft 10 in.) (MDOT 2013b). In regards to studying the effect of skew, Michigan

skew policy was applied. Therefore, skew angles of 0°, 20°, 30°, and 45° were considered.
4.4 DIAPHRAGM CONFIGURATION AND SPACING

End and intennediate diapliragm configurations and spacing, as introduced in

section 3.5, were investigated. In confonnity with Michigan specifications, the width of

the end diaphragms for the DBT and DBB bridge systems was 8 in. and 24 in.,

respectively. Also, the width of the intermediate diaphragms was 8 in. and 14 in,
respectively for the two bridge systems (MDOT 2013b). DBB intermediate spacing was
as listed in Table 1. DBT intermediate diaphragm spacing was:

•

One or no diaphragm for span < 80 ft,

•

Two diaphragms at 1/3 points for 80 < span < 120 ft, and

•

Three diaphragms at 1/4 points for span > 120 ft.
Table 1. DBB Intermediate Diaphragm Spacing (Source: MDOT 2013b)
Location
Span length
2 at center of span (IT apart)
Up to 50'
1 at center of span and 1 at each quarter point
Over 50' to 62'
2 at center of span (IT apart) and 1 at each quarter point
Over 62'to 100'
5 equally spaced between
Over 100'
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4.5 MATERIAL PROPERTIES

Material properties were in accordance with AASHTO (2012) and MDOT

(2013a). The concrete properties were: a compressive strength of 5 to 7 ksi, a thermal

expansion coefficient of 6 x 10 /°F and Poisson's ratio of 0.2. However, due to the high
bond strength and ductility of UHPC, its use was also taken into consideration. UHPC

has a 20 ksi compressive strength, 7200 ksi modulus of elasticity, and 8.2 x 10"6 /°F
thermal expansion coefficient (Ductal JS 1000).
4.6 LOADS

Values of TG and LL that comply with AASHTO (2012) and MDOT (2013a)

specifications were selected for analysis. Michigan is located in zone 3 of the US
Isothermal Map. Figure 26 (a) and (b) show the positive temperature gradient (PTG)

profile and the negative temperature gradient (NTG) for concrete superstructures. The
analysis was based on the use of plain concrete decks, thus the negative temperature

gradient profile was determined by multiplying the positive temperature values by -0.3.
Dead load due to girder self-weight has no contribution to the longitudinal connection
load demand since connections are cast after the girders are erected. Therefore, dead load
effect was not taken into consideration. MDOT (2013a) requires that live loads are as

designated in AASHTO (2012), with the exception that the design tandem is replaced
with a single 60 kip load (Figure 27). Wheel load stresses shown in Figure 27 are
calculated based on a 20 in. x 10 in. tire contact area. However, for Michigan interstate

and trunkline bridges, vehicular live loading designated as HL-93 Mod shall consist of
1.2 times the combination of the:

•

Design truck (HL-93 truck) or 60 kip single axle load and

•

Design lane load (0.64 klf).
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Figure 26. AASHTO (2012) Temperature Gradient Profile Zone 3
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Figure 27. HL-93 Mod Load
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State-of-the art deck level longitudinal connection detail
Connection types and details:

Applicable loads:

•Shear transfer

•LL

•Shear-flexure transfer

•TG

•Dead load (DL)
Shear-flexure transfer

Design parameters:
•Superstructure components
•Bridge geometry
•Material properties

LL and TG

i
Envelopes: (a) Moment
(b) Shear force
(c) Axial force

Connection design: (a) Flexural design

(b) Crack control check (Durability)
(c) Shear & axial force checks
(d) Development length check
(E) Lacer bar design
Standardized longitudinal connection detail

Figure 28. Connection Standardization Process
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CHAPTER 5

CONNECTION LOAD DEMAND CALCULATION

The moments and forces developed at the longitudinal connection were calculated

using finite element (FE) bridge models. As the first step in the process, the effect of TG
in conjunction with the design parameters listed in the previous chapters was evaluated.
The critical parameters that produce the highest load demand at the comiection were
identified. Afterward, the final analysis models were developed incorporating LL and TG

to obtain moment and force envelopes to be used for designing the standardized
connection details.

5.1 STRUCTURAL MODELING AND ANALYSIS

Temperature gradient analysis is complicated and requires the use of advanced

programs. The analysis was performed by modeling simply supported single span three
dimensional (3D) finite element (FE) bridge models. FE models were developed using

Abaqus version 6.12.2 (Abaqus 2012). The three major components of bridge
superstructure that were included in the models are girders, longitudinal connections, and
intermediate and end diaphragms. All the components were modeled using 3D eight-node
solid elements (C3D8). The longitudinal connections wrere the component that was of

greatest interest. Therefore, sensitivity analysis was carried out on this component in
order to obtain accurate results.

Two sizes of DBT and one size of DBB FE models were analyzed to evaluate the

significances of the design parameters in conjunction with TG. The impact of a parameter
on the connection load demand was evaluated using DBT models by varying one

parameter at a time while keeping the other parameters unchanged. Once the significance
of each design parameter was clarified from DBT FE models, DBB models were
analyzed to give a comprehensive understating of the design parameter impacts.

5.1.1 Decked Bulb-T and Decked Box-Beam Girder Models

PCI standard DBT sections were used. In order to ensure a good mesh quality for
the FE analysis, section configurations were slightly changed by altering the taper at the
top flange to the web connection of the DBT section (Figure 29) and the internal corners
of the DBB section (Figure 30). However, this change resulted in negligible difference in
the section properties.
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39

i

5.1.2 Two-DBT-Girder Model

The two-DBT-girder model in Figure 31 was used to evaluate the impact of the

design parameters by incorporating one parameter at a time. It was then analyzed under
the TG load. This model was mainly used to verify the TG modeling.

X,

^>"

H
4

/

,

Figure 31. Two DBT Girder Model
5.1.3 Full DBT Bridge Model

A full bridge model (Figure 32) was analyzed to evaluate the influence of most of

the design parameters on comiection load demand. Once the influence of all these

parameters was assessed, and in order to calculate the final connection load demand
envelopes, a seven girder final model was developed and analyzed.
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Figure 32. Full DBT Girder Model

5.1.4 Full DBB Bridge Model

This model was used for the evaluation in the same way as the previous model.

Figure 33 shows the full DBB model that consisted of 5 girders and was used to assess
the aforementioned design parameters.
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Figure 33. Full DBB Girder Model

5.2 BOUNDARY CONDITIONS

Roller and pin supports were assigned to the models. Both support types consisted
of main and secondary nodes (Figure 34). The main nodes in the pin supports were

restrained from moving in the three directions (x, y, and z). The secondary nodes in the

pin supports were restrained from moving in two directions (y and z). On the other hand,
the main nodes in the roller supports were restrained from moving in two directions (x

and y) and the secondary nodes were restrained from moving in only one direction (y).
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Figure 34. Boundary Conditions
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5.3 LOAD APPLICATION

Live load was applied as pressure. The tire contact area of 10 in. x 20 in. was

considered. The TG was applied by assigning a certain temperature value to a layer of
nodes at a certain depth from the top surface of the girders. In an example shown in

Figure 35, when TG zone 3 is considered, the node layer at the top surface of the girder
will be assigned a temperature value of 41° F, and the node layer at 16 in. from the top of

the girder will be assigned 0° F. However, a node layer at a level 4 in. from the top will
be assigned a temperature value of 11° F, the node layers at a level v in. from the top will

be assigned a temperature value of Tl(y) or T2(y) where:

T1(y) = 30(* y) +11 ;If 4in. >y>0in.
4

ll(16-y)

T2(y) -

12

; If 16 in. >y>4in.
41°F

16"

1°F

V'

i(y)
2(y)

or

Depth of
superstructure

(a) Meshed Girder

(b) PTG zone 3

Figure 35. TG Application to Node Layers at Different Levels of Depth
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5.4 MODELING VERIFICATION

The two-DBT-girder model was utilized to verify the modeling method (Figure

36). The model consisted of two DBT-65 girders with total length of 100 ft. The width of
the top flange of each girder was 6 ft connected with a 6 in. wide joint. An arbitrary
static linear load of 0.001675 kip/in. was applied at the mid-distance between the two

girders. To simplify the calculations: (1) the three nodes (L, C, and R) along the bottom
flange width were restrained at each end of the two girders and (2) diaphragms wrere not
included.

0.001675 kip/in.
Girder 2

Girder 1

£-*=k

i
C

L»

-6*-6"

R

-3'

-J

(a) Cross section

Roll

p;n

100'-

(b) Section (1-1)

Figure 36. Verification Model Geometry7 and Static Load
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Table 2. Girder 1 Reactions Resulted from the Applied Static Load
Roller

Pin
Node

Rx

Ry

Rz

Rx

Ry

Rz

L

0

0.1039

-0.0301

0

0.0983

0

C

0.03251

0.3155

-0.0101

0.0246

0.3137

0

R

0

0.0830

0.0402

0

0.0904

0

s

0.0325

0.5025

0

0.0246

0.5025

0

Table 3. Girder 2 Reactions Resulted from the Applied Static Load
Roller

Pin

Node

Rx

Ry

Rz

Rx

Ry

Rz

L

0

0.1039

-0.0301

0

0.0983

0

C

-0.03251

0.3155

-0.0101

-0.0246

0.3137

0

R

0

0.0830

0.0402

0

0.0904

0

I

-0.0325

0.5025

0

-0.0246

0.5025

0

The reactions at each girder support that resulted from the applied load are given in
Table 2 and Table 3). Moment and shear results in the middle of the connection were

obtained by defining a Free Body in Abaqus. The moment and shear values for the total
section of the connection were 36.011 in.-kip and 1.005 kip, respectively. The same

values can be calculated from the support reactions. It should be noted that in Figure 37, a
reaction value in a certain direction is the summation of the reaction values at the pin and

roller supports of one girder. For instance, the vertical reaction of girder 1 at node C

equals the reaction at node C of the pin support plus the reaction of node C at the roller
support (0.3155 + 0.3137 = 0.629 kips). The equilibrium check for the total structure was
conducted as follows.

Zfx=0, 0.0571- 0.0571= 0 kip

£fy=0, 1.005 + 1.005 - 0.001675 (1200) = 0 kip

IM@ connection center = 0, 36.011 - 36.011 = 0 in.-kip
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Figure 37. Verification Model Results due to the Static Load
5.5 EFFECT OF DESIGN PARAMETERS ON CONNECTION LOAD DEMAND

The assessment of the impact of every design parameter in conjunction with TG

was performed. Connection internal forces generated due to NTG are small relative to the
forces due to PTG. Therefore, the study was perfonned using the PTG load. Appendix A

provides the analysis results. The stress resultants (i.e., moments and forces) were
calculated at the connections under the TG load due to the external and internal
constraints in the structure. The external constraints in the transverse direction are formed

as a result of the boundary conditions. On the other hand, the internal constrains develop

due to the profile of the temperature along the depth of the superstructure. The axial
forces that are generated at the connection due to the PTG are in compression. Thus, the
flexural moments developed at the connection were considered for the evaluation and
design.

Table 4 presents a summary of the analysis results, where the comparison was
based on DBT FE model results. The percent change in the flexural moment was

calculated using the moments developed at the connection when the maximum and
minimum values of the design parameter were assessed. For example, 40 and 130 ft were
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used as the minimum and maximum span lengths to compare the effect of increasing the

bridge span length. As shown in the first row of Table 4, there is a 5% reduction in the
moment value of 130 ft span length when compared to the 40 ft span. On the other hand,

there is a significant increase in the moment value when the flange thickness increases.
An increase in the number of internal diapliragms and the modulus of elasticity of girders
has a considerable effect on the connection moments. Likewise, when the joint is made
of UHPC the moment value increases due to the increase in both the modulus of elasticity

and the thermal coefficient. The effect of some design parameters such as girder size and

diaphragm spacing on DBB bridge system can differ. Therefore, TG analysis was
conducted on DBB FE models and the results are presented in Table 5.

Table 4. The Effect of the Design Parameters on the DBT Longitudinal Connection
Moment under the PTG

Percent change in transverse

Design Parameters

flexural moment at the connection

Increase in bridge length from 40 ft to 130 ft
Increase in bridge width from 42 ft to 66 ft

-5
:0

Increase in skew from 0° to 45°

Increase in girder spacing from 6.5 ft to 8.5 ft
Increase in girder depth from 35 in. to 65 in.
Increase in flange thickness from 6 in. to 9.5 in.
Increase in the girder modulus of elasticity from
4287 ksi to 5072 ksi)

+128

Increase in the connection material modulus of
elasticity from 4287 ksi to 5072 ksi

+5

Increase in the diaphragm concrete modulus of
elasticity from 4287 ksi to 5072 ksi

-5

+5

+13

+ 1

Use of UHPC for comiections: increase in E from

4287 ksi to 7200 ksi and a from 6.0 x 10"6 /°F to
8.2 x lOVF
Use of full depth end diaphragms from partial
depth to full depth
Increase in the intermediate diaphragm depth from
partial depth to full depth
Decrease in intennediate diaphragm spacing from
no in-diaphragm to 3 in-diaphragms
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+17

+6
+6

+33

Table 5. The Effect of the Design Parameters on the DBB Longitudinal Connection
Moment under the PTG

Design Parameters

Percent change in flexural moment

Increase in girder width from 3 ft to 4 ft
Increase in a bridge span length from 40 ft to 63 ft
accompanied with increase in the number of
intermediate diaphragm

+9
-2

However, TG forces a bridge to deform in the horizontal direction, which can be

excessive, and lead to crack development. Therefore, in the parametric study the

expansion that occurs in the bridge width due to TG was evaluated. As shown in Figure
38, when a bridge length increases the horizontal deformation increases. AASHTO

(2012) states upper limits for deflection that can occur in bridges. The maximum
horizontal deflection for each span length due to TG does not exceed the upper limit
when live load deflection limit is taken into consideration (Table 6). It was considered

that the middle line of the bridge width is the origin for measuring deflection. Therefore,

it should be noted that bridge horizontal deflection in Table 6 is half the deflection values
shown in Figure 38.

Table 6. Horizontal Deflection in a Bridge Width due to TG Compared to the
Maximum Deflection Criteria

Bridge Span Length (ft)

Maximum Allowable Deflection

Bridge Horizontal Deflection

(Span/800) (in.)

(in)

40

0.60

0.029

70

1.05

0.032

100

1.50

0.036

130

1.95

0.040
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334.1

384.05

-

XT'

334
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♦
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383.95

383.9
50

100

150

Bridge Length (ft)
Figure 38. The Increase in a Bridge Width due to TG.

The information presented in Table 4 and Table 5 is depicted in Figure 39, which
can be considered the decision chart for developing the final analysis models for the two

DPPCG bridge systems. The final bridge models are intended to develop the highest
moment demand at the connection under the TG and the LL. Therefore, the final models

can be considered standard models for a longitudinal coimection design.

49

Critical Design Parameters
,

\t

\!

Material modulus
Girder
,

i

,.

i

V

Deepest Section Smallest spacing Thickest flange
v

\

Diaphragm

of elasticity fJE)

/

\!

V

Highest modulus of elasticity
for all superstructure components

*

Intennediate

v
\

'

x

/

Deepest Section Highest number
*

\

'

End

\

Full depth

/
V

\ i

/

V

1

f

M

Bridge geometry

Straight bridge

Shortest span

I
Final model

Figure 39. Decision Chart for Developing Final DBT Analysis Model

Figure 39 illustrates the design parameters that maximize the connection load
demand for a DPPCG bridge system. However, there is a contradiction between using the

deepest girder section and the shortest span length. As shown in Table 5, when the bridge
span length increases, the flexural moment decreases by 5%. When the deepest girder is
used, the flexural moment increases by 5%. Thus, using an appropriate section size for

the final bridge model with the shortest span is justified. From Table 5, the reduction in
the moment value as a result of an increase in the girder spacing from 6.5 ft to 8.5 ft is

5%. ASHTO (2012) Table A4-1 shows that the flexural moment due to the LL increases

by approximately 20% when the spacing between girders is 8.5 ft. Hence, considering
the girder spacing impact on LL moments at the connection, 8.5 ft spacing was selected
for the final models. Likewise, the widest girder section causes the highest connection
load demand (Table 5).
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5.6 FINAL BRIDGE MODELS

Two simply supported single span, multilane bridge models were developed once
the significance of the design parameters on the connection load demand under TG was
clarified. These FE models encompassed the critical design parameters identified from

the previous analysis. The final analysis incorporated the LL and TG. Bridge width has a

negligible influence on the connection moment when TG is applied (Table 4). Two lanes
of Michigan lane and shoulder widths were considered in designing a prototype for

calculating the connection moments and developing the design details. One freeway lane
was 12 ft wide and one shoulder was 14 ft 10 in. wide (MDOT 2013b). Hence, the two

final 3D bridge models were 40 ft long and 59 ft wide. The first model consisted of seven
DBT-35 girders (Figure 40) and the second of seven DBB-I-48 girders (Figure 41). In the
two models, the width of each girder was 8 ft and the flange thickness was 9.5 in. The

longitudinal connection was 6 in. wide. The analysis included the PTG, NTG and LL.
Table 7 shows the final analysis results.
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Figure 40. Final DBT FE Model
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Figure 41. Final DBB FE Model
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Table 7. Load Demand at the Longitudinal Connection in DBT and DBB Bridge
Models Due to LL, PTG and NTG

Load

Moment, M
(ft-kip/ft)
DBT

DBB

+13.0

+6.0

-2.0

-0.6

PTG

+10.0

+9.3

NTG

-3.0

-2.8

LL

Shear force, V
(kip/ft)
DBT

DBB

5.7

5.0

-

-

-

-

LL generates a higher moment than the PTG in DBT. On the other hand, PTG
moment is higher than LL moment in DBB. The LL moment in DBT is larger than the
LL moment in DBB because of the clear spacing between girders. For instance, the clear

spacing between two girders equals the girder spacing minus the girder web width. Thus
in DBT, the clear spacing is 8.5 ft - 0.5 ft = 8 ft; and in DBB, the clear spacing is 8.5 ft 4 ft = 4.5 ft. The positive moments due to TG are equivalent for both systems. Similarly,
the negative moments due to TG are equivalent for both systems.
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CHAPTER 6

CONNECTION DESIGN

According to the literature review and structural analysis that were carried out on

the longitudinal connection, it was decided to design a shear-flexure transfer connection.
This was selected due to: (1) its ability to provide full continuity between neighboring

girders and thus transfer both shear and moment, and (2) its superior performance record.
Particularly, a U-bar connection detail was designed because it can provide an adequate
resistance against crack development and promote long-term durability. The forces taken
into account in the design were determined by applying TG and LL to the final DBT

bridge model (Table 7). The connection was designed with normal concrete and mild
reinforcement. Conventional concrete design procedures, in accordance with AASHTO

(2012) and MDOT (2013 a and b) specifications, were followed. Flexural reinforcement
that satisfies the maximum moment at strength limit state was designed and crack control
criteria was checked. Other checks, such as development length and shear capacity of the

section, were performed. Lacer bars design was perfonned as well. The step by step

design of a DBT connection and a DBB connection is provided in appendices B and C,

respectively. Comiection details are provided. The following variables used in the design
are:

•

Structural comiection thickness = 9 in.

•

28-day concrete compressive strength, (fc) = 7 ksi,

•

Elastic modulus of concrete (Ec) = 5,072 ksi

•

Yield strength of reinforcement (fy) = 60 ksi,

•

Elastic modulus of reinforcement (Es) = 29,000 ksi

•

Modular number (n) = 6

•

Bottom concrete cover = 1.5 in. from the centerline of the bottom layer of
reinforcement

•

Top clear concrete cover = 3 in.
53

6.1 PROPOSED CONNECTION CONFIGURATION

The connection geometry is female-to-female 6 in. wide shear key (Figure 42).

The proposed configuration of the coimection was intended to complete the
standardization process. Different factors such as the bonding strength of the comiection
material and the interface shear failure pattern can change the shear key shape.
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Figure 42. Proposed Longitudinal Connection Configuration
6.2 MOMENT LOAD COMBINATIONS

Load combinations in accordance with AASHTO (2012) table 3.4.1.-1 are utilized:
Strength I:

•

Positive moment Msn-p: 1.75(positive LL moment) = 22.75 ft-kip/ft

• Negative moment Msti-n: 1.75(negative LL moment) = -3.3 ft-kip/ft
Semce I:

•

Positive moment Msi-p: The greatest of

1.0 (positive LL moment+0.5 PTG moment) =18 ft-kip/ft -> MSi-p =18 ft-kip/ft
1.0 (PTG moment) =10 ft-kip/ft

•

Negative moment MSi-n: The greatest of

1.0 (negative LL moment+0.5 NTG moment) =3.4 ft-kip/ft -» MSi-n =-3.4 ft-kip/ft
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1.0 (NTG moment) =-3 ft-kip/ft
6.3 FLEXURAL DESIGN

The required amount of flexural steel (As) was calculated for the positive moment

(Msti-p = 22.75 ft-kip/ft) as As = 0.7 in2/ft. Therefore, #5 bars @5 in. satisfy the required
area of steel. Due to the concrete cover requirement, the top reinforcement is located at 3

in. belowthe top surface. The neutral axis of the section is located at 0.9 in. belowthe top
surface. Hence, the top reinforcement is located within the tension zone. The strain in the

top reinforcement is calculated as 0.008, which is greater than the yield strain of steel.
Economically, the section should be redesigned using both layers, resulting in a

requirement of 0.99 iir/ft of steel. Therefore, it is recommended to reinforce the
connection with #5 bars @ 7 in.
6.4 CONTROL OF CRACKING BY DISTRIBUTION OF REINFORCEMENT

Long-term durability necessitates well-distributed reinforcement that is capable of
limiting crack width. AASHTO (2012) eq. 5.7.3.4-1 is used as an upper limit for steel
reinforcement spacing to control crack development in a concrete component. Therefore,

the spacing of mild steel reinforcement in the layer closest to the tension face shall not
exceed S. Where,

Yp

S = 7007-14--2dc
Mss

;ps = l +
'

dc

0.7(h-dc)

where,

ye = an exposure factor (i.e., 1 for class exposure 1 or 0.75 for classexposure 2)
dc = thickness of concrete cover measured from center of the reinforcement (in.)
fss = tensile stress in steel reinforcement at the service limit state (ksi).

h = component total structural depth (in.).

dt = distance from extreme compression fiber to the centroid of the extreme
tension reinforcement (in.).
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Equation 5.7.3.4-1 was developed based on the assumption that crack width does
not exceed 0.017 in. The exposure factor (Ye) is used to control the maximum expected
crack width. That is, if the concrete component is exposed to sever conditions, the

exposure factor can be assumed to lower than 0.75. (3S factor is "a geometric relationship
between the crack width at the tension face versus the crack width at the reinforcement

level" AASHTO (2012). The reinforcement spacing is 7 in. when #5 bars are used. Steel
stress, fss = 58.75 ksi, and ps=1.28. Assuming exposure 2 condition (i.e., ye= 0.75),
Therefore,

s-700prhr2dc =700xi2^875-2xl-5=3-9in-<7inAs shown in the above equation, the condition is not satisfied. The tensile stress in
the steel reinforcement (f;s) is close to the yield strength of the steel. Therefore, the

design is revised by changing the bar size. If #4 is bar used, the reinforcement is #4 @ 4
in. This results in S= 4.7 in., which is greater than 4 in. and the condition is satisfied.

Yet, the steel stress (fss) is very high at 53 ksi, which is around 90% of the steel yield

strength. For service limit states, this value seems unacceptable. The AASHTO (2012)

eq. 5.7.3.4-1 does not have an upper limit to the tensile stresses (fss). The original sources
for this equation Frosch (2001) and DeStefano et al. (2003) limit fss to 80% of steel yield
strength. Hence, the detail was revised to #4 @ 3.5 in., which resulted in steel stress of 47
ksi, less than 80% of fy. It is recommended to use #4 @ 3.5 in. U bars for the connection.
The flexural reinforcement is staggered in relation to adjacent girders. Accordingly, in

order to accomplish the reinforcement require for the connection, #4 @ 7 in. U-bars shall
be distributed in each girder flange (Figure 44).
6.5 CRACKING MOMENT CAPACITY

In accordance with AASHTO (2012) articles 5.4.2.6 and 5.7.3.6.2, the cracking

moment capacity of the section was calculated as 8.6 ft-kips/ft, which is greater than the

negative moment at service limit state (i.e., MSI_N = 3.4 ft - kip/ft). Thus, the section
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capacity is sufficient to prevent top surface cracking due to the negative moment. In

general, the bond strength at the interface is much lower than the concrete tensile strength
(Aktan et al. 2009). The weak bond strength was not considered in calculations of
cracking moment capacity. A much lower cracking capacity is expected and requires
evaluating the bond strength of the material used in forming the comiections.
6.6 SHEAR CAPACITY

Shear capacity of the section was checked in accordance with AASHTO (2012)
article 5.8.3.3. Concrete shear capacity of a one-foot section at the comiection is 8.6

kip/ft, which is less than the shear demand of 10 kip/ft at strength-I. Shear capacity from
the flexural reinforcement was calculated to check the total section capacity. The total

shear section capacity is 97.3 kip/ft, which is greater than the shear demand. Therefore,
the connection is capable of developing an adequate shear capacity.
6.7 DEVELOPMENT LENGTH

The development length (Lj) consists of the 6 in. between the U-bar bearing

surfaces (Figure 43). As per the AASHTO (2012) article 5.11.2.1 the development length
requirement was satisfied.

-* Ld

Figure 43. Development Length Detail
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6.8 LACER BAR DESIGN

To determine the appropriate size of lacerbars, He et al. (2013) equation was used:
A]barJy,lbar

b

Aubar ly,ubar

4-L^

where,

Aibar= the area of one lacer bar

A„bar= the area of one U-bar (i.e., the area of the two legs)

fy]bar= yield strength of the lacer bars
fy,ubar= yield strength of the U bars
S= the spacing between the u bars
Ld= the development length

If the yield strength of the lacer bars is the same as the yield strength of the
coimection reinforcement, and the connection is reinforced with #4 @ 7in. spacing, the
lacer bar diameter should not be less than 0.385 in. It is recommended to use #4 lacer
bars for the coimection.

6.9 STANDARDIZED LONGITUDINAL CONNECTION DETAIL

Figure 44 and Figure 45 show the standardized coimection detail for the
longitudinal comiection. The detail is for longitudinal connections in DBT and DBB
bridge systems. Tolerances in construction are included in the details.
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(a) Perspective View
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Figure 45. Standardized Connection Detail 3D View
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CHAPTER 7

SUMMARY AND CONCLUSION

Prefabricated bridge elements and systems (PBES) are widely used in accelerated

bridge constmction (ABC). Decked precast prestressed concrete girders (DPPCG) are

popular among PBES. DPPCGs are assembled and coimected on site using cast-in-place

grout or concrete. Even though DPPCGs offer many benefits, their use is still limited.
The durability performance of connections between DPPCGs is a concern because these

are the only field cast components. Neither standard design detail nor guides are
available. Thus, in order to ensure a durable performance, the development of
standardized coimection detail is a priority. This study focused specifically on

longitudinal coimection between DPPCGs.

An extensive parametric study evaluated the effects of both bridge component

geometry and materials on longitudinal coimection load demand under various load types
and magnitudes. A standardization process was presented for developing longitudinal
connection detail for decked bulb-tee (DBT) and decked box-beam (DBB). Even though

the example used DBT sections, the demonstrated process is equally applicable for
developing a standardized detail for connections between other components. However,
results of this study lead to the following conclusions:

• Temperature gradient (TG) develops moments at connections that are comparable to
those of live loads (LL). and needs to be considered in the development of durable
design detail.

•

Sections with thicker flanges develop larger moments than those with thin flanges
under TG.

• Diaphragm size has a noticeable impact on comiection load demand.
•

The use of materials with a high strength and a high coefficient of thermal expansion
leads to greater moments at connections.
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•

When sections are used with thick flanges and deep concrete covers over the top
reinforcement, both reinforcement layers (top and bottom) are effective in resisting
positive moment.

•

Control of cracking by distribution of reinforcement must be performed and the
reinforcement spacing needs to be adjusted.

•

Tensile stress in steel reinforcement at service limit state in AASHTO (2012) eq.

5.7.3.4-1 should have an upper limit to prevent steel reinforcement from yielding.

The ultimate product of this research was a standardized connection detail that
satisfies the demand of the static and TG loads that act simultaneously on a bridge. An

improved durability performance and strength equal to that of the rest of the prefabricated
modules of the bridge are expected from the standardized connection detail. However,

steel reinforcement spacing that is provided in the standardized comiection detail is
limited for the two DPPCG types (i.e., DBT and DBB). Several recommendations are

addressed in order to develop standardized connection detail for other types of DPPCG
types. They are:

•

Connection load demand due to LL and TG for each type of DPPCG is different

resulting in different connection reinforcement. Therefore, each DPPCG type needs to
be investigated separately.

• TG profiles differ from region to another, thus site-specific TG profiles are required
in order to perform an accurate TG analysis.

•

In the structural design of the connection, the weak bond strength at the interface was
not considered. It is necessary to identify material or an application procedure to

enhance interface bond strength such that the connection strength is either similar to

or greater than the prefabricated element strength.

• Experimental testing should be performed in future studies to evaluate the
performance of the standardized connection.
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APPENDIX A-PARAMETRIC STUDY RESULTS

1.EVALUATING DIAPHRAGM CONFIGURATION AND SPACING

Through the evaluation the model geometiy and material properties were as listed in
Table A-1 and A-2, respectively.

Model

2-DBT-girder model

Table A-1. Model Geometry
Span length
Girder spacing (ft)
Girder size
(ft)

100

DBT-65

Girder flange
thickness (in.)
6

6.5

Table A-2. Model material properties
Material properties

E (ksi)

c(ksi)

Thermal

Coefficient(/°F)

Girder

1072.3

6x10"

connection

4286.8

6x10

Diaphragm

4286.8

6x10

W?

1.1EVALUATING THE EFFECT OF END DIAPHRAGM CONFIGURATIONS

The variable in this evaluation is the depth of the diaphragms. Full and partial depth

concrete diapliragms as shown in Figure A-1 and Figure A-2 were modeled. The model

geometry and material properties are listed in Table A-1 and Table A-2, respectively.

68

I Girder

5'-5"

Figure A-1. End Diaphragm configuration 1

I Girder

<l Girder

-6"-6"DBT65

5'-5'

Figure A-2. End diaphragm configuration 2

Table A-3. Moment Values Developed at the Connection Due to PTG during the
Evaluation of End Diapliragm Configuration Effect
End diaphragm configuration
M (ft-kip/ft)

1

2

2.36

2.23
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1DEVALUATING THE EFFECT OF INTERMEDIATE DIAPHRAGM
CONFIGURATIONS

Different concrete and steel intermediate diaphragm configurations (Figure A-3, Figure

A-4, Figure A-5, and Figure A-6) were evaluated. All models had end diaphragm

configuration 1. The number of intermediate diapliragms was 2. The model geometry and
material properties are listed in Table A-1 and Table A-2, respectively.
t Girder

<L Girder

-6'-6"
DBT65

5'-5"

Figure A-3. Intermediate Diaphragm Configuration 1
1 Girder

f Girder

•«*-6"-

DBT65

I

,....*.

s'-s*
4.

Figure A-4. Intermediate Diaphragm Configuration 2
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1 Girder

1 Girder

5*-5"

Figure A-5. Intermediate Diaphragm Configuration 3

1 Girder

1 Girder

•6*-6"

DBT65

5'-5"
v/

fC

L6*4x|

bent

Figure A-6. Intermediate Diaphragm Configuration 4

Table A-4. Moment Values Developed at the Connection Due to PTG during the
Evaluation of the Intermediate Diaphragm Configuration Effect
Intermediate diaphragm configuration
No in-

diaphragms

M (ft-kip/ft)

2.37

.00

3.02
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1DEVALUATING THE EFFECT OF INTERMEDIATE DIAPHRAGM SPACING

The end and the intermediate diaphragm configurations Figure A-1 and Figure A-3 were

used, respectively. The distribution of the intermediate diaphragms through the
evaluation was 1 at the middle, 2 at 1/3 distances, and 3 at 1/4 distances. The model

properties are given in Table A-1 and Table A-2. The obtained results are as shown in
Table A-5.

Table A-5. Moment Values Developed at the Connection Due to PTG during
the Evaluation of the Intermediate Diaphragm Spacing Effect
Intermediate diaphragm spacing

No in-diaphragms

1 at the middle

2 at each 1/3 point

2.37

2.62

3.02

M (ft-kip/ft)

3 at each 1/4

point
3.15

1DEVALUATING THE INCREASE IN BRIDGE SPAN LENGTH ACCOMPANIED
WITH INCREASE IN THE NUMBER OF INTERMEDIATE DIAPHRAGM

The end and the intermediate diaphragm configurations were modeled in the evaluation

are shown in Figure A-7. The bridge geometry was as given in Table A-6. Material

properties were as given in Table A-7. The intennediate diaphragm spacing was as given
in Table A-8.

['able A-6. Model Geometry Us sed
Model

Full DBB bridge

Span length

Girder size

(ft)
Variable

DBB-I-48
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in the Evalua tion

Girder spacing

Girder flange

(ft)

thickness (in.)

8.5

9.5

Table A-7. Model Material Properties Used in the Evaluation
Material properties
E (ksi)

f c (ksi)
n

1

5072.3

connection

1

5072.3

Diaphragm

1

5072.3

Girder

Thermal

Coefficient(/°F)
6X10"0"
6x\Q-l>b
6x10-°°

<L Girder

1 Girder

Figure A-7. End and Intermediate Diaphragm Configuration
Tab

e A-8. DBB Intermediate Diaphragm Distribution
Location

Span length
40'

52r
63'

2 at center of span (IT apart)
1 at center of span and 1 at each quarter point
at center of span (IT apart) and 1 at each quarter point

2.EVALUATING THE EFFECT OF MATERIALS

Model geometry as described in Table A-1 was used in this evaluation. Models had two
end and two intennediate diaphragms at 1/3 points with configurations as shown in

Figure A-1 and Figure A-3, respectively. Table A-2 content was the variable in this
evaluation.
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2.1 EVALUATING THE EFFECT OF CONNECTION MATERIAL PROPERTIES

Concrete with compressive strength of 5 ksi, and 7 ksi and thermal coefficient of 6x10"

06/°F was evaluated. The use of UHPC with 7200 ksi modulus of elasticity and 8.2x10"

06/°F coefficient of themial expansion was included in the assessment. Girder and
diapliragm materials had compressive strength of 5 ksi and coefficient of thermal

expansion of6xlO"°6/°F. The obtained results are shown in Table A-9.
Table A-9. Moment Values Developed at the Connection Due to PTG during
the Evaluation of the Connection Material Effect

Connection material properties
E= 7200 ksi, 0=8.2*10"
E= 5072.3 ksi, o=6*10"
E= 4286.8 ksi, a=6x 10'

»7>F

M (ft-kip/ft)

3.12

2.80

2.67

2.2EVALUATING THE EFFECT OF GIRDER MATERIAL PROPERTIES

Concrete with compressive strength of 5 ksi, and 7 ksi and thermal coefficient of 6x10"

06/°F was evaluated. The obtained results are given in Table A-10.
Table A-10. Moment Values Developed at the Connection Due to PTG during
the Evaluation of the Girder Material Effect
Girder material properties

M (ft-kip/ft)

E= 4286.8 ksi. a=6*10^F

E= 5072.3 ksi, «=6xl0'',V,F

2.67

3.02

2.3EVALUATING THE EFFECT OF DIAPHRAGM MATERIAL PROPERTIES

Concrete with compressive strength of 5 ksi, and 7 ksi and thermal coefficient of 6x10"
06/°F was evaluated. The obtained results are shown in Table A-11.
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Table A-ll. Moment Values Developed at the Connection Due to PTG during
the Evaluation of the Diaphragm Material Effect

M(ft-kip/ft)

.E

Diaphragm material properties

E= 4286.8 ksi, o=6*104>6/T

E=5072.3 ksi, o=6*10",iy)F~

2.67

2.69

3EVALUATING THE EFFECT OF GIRDER DEPTH

Models had neither end nor intermediate diapliragms. The evaluation was perfonned by

the full bridge model with span length of 40 ft (Table A-12). Bridge component materials
were as listed in Table A-7. As shown in Table A-12. Table A-13 shows the obtained
results.

Model

Table A-12. Model Geometry Used in the Evaluation
Girder flange
Span length
Girder spacing (ft)
Girder size
thickness
(In.)
,
:
(»)

Full DBT bridge

40

DBT-35

6.5

Table A-13. Moment Values Developed at the Connection Due to PTG during
the Evaluation of the Girder Depth Effect
Girder depth (in.)

M (ft-kip/ft)

DBT-35

DBT-41

DBT-53

DBT-65

4.58

4.67

4.77

4.83

4EVALUATING THE EFFECT OF GIRDER WIDTH

The effect of girder width was evaluated. Models had neither end nor intermediate

diapliragms. Table A-7 represents material properties were considered in the analysis.
Table A-6 provides model geometry. Two girder spacing were assessed (i.e., 6.5 ft and
8.5 ft). The obtained results are as shown in Table A-14. Connection moment increases
when girder width increases.
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Table A-14. Moment Values Developed at the Connection Due to PTG during
the Evaluation of the Girder Width Effect
Girder depth (in.)

M (ft-kip/ft)

DBB-I-36

DBB-I-48

8.6

9.35

5EVALUATING THE EFFECT OF GIRDER SPACING

The effect of girder spacing was evaluated. Models had neither end nor intermediate

diaphragms. Respectively, Table A-12 and Table A-7 represent the model geometry and
material properties were considered in the analysis. Two girder spacing were assessed
(i.e., 6.5 ft and 8.5 ft). The obtained results are as shownin Table A-15.
Table A-15. Moment Values Developed at the Connection Due to PTG during
the Evaluation of the Girder Spacing Effect
Girder spacing (ft)
M (ft-kip/ft)

6.5

8.5

4.58

4.38

6EVALUATING THE EFFECT OF FLANGE THICKNESS

The effect of flange thickness was evaluated. Models had neither end nor intermediate

diaphragms. Respectively, Table A-12 and Table A-7 represent the model geometry and
material properties were considered in the analysis except that girder spacing was 8.5 ft.

Two girder flange thicknesses were assessed (i.e., 6 in. and 9.5 in.). The obtained results
are as shown in Table A-16.

Table A-16. Moment Values Developed at the Connection Due to PTG during
the Eva

uation of the Flange Thickness Effect
Flange thickness (in.)
9.5

M (ft-kip/ft)

4.38
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10.00

7 EVALUATING BRIDGE LENGTH

The effect of bridge length was evaluated. Models had neither end nor intermediate

diaphragms. Respectively, Table A-12 and Table A-7 represent the model geometry and
material properties were considered in the analysis. Bridges with span length of 40 ft, 80
ft, and 130 ft were modeled. The obtained results are as shown in Table A-17. The
shortest span resulted in the highest moment at the connection
Table A-17. Moment Values Developed at the Connection Due to PTG during
the Evaluation of Bridge Length Effect
Bridge length (ft)
130

40

M (ft-kip/ft)

4.40

4.59

4.37

8Evaluating bridge width:

The effect of bridge width was evaluated. Models had configuration 1 end diaphragms

but no intennediate diapliragms. Respectively, Table A-12 and Table A-7represent the

model geometry and material properties were considered in the analysis writh the

exception that the girder size was DBT-41. Bridge width of 42 ft, 54 ft, and 66 ft was
modeled. The obtained results are as shown in Table A-18. The bridge width has no
effect on moment at the comiection.

Table A-18. Moment Values Developed at the Connection Due to PTG during
the Evaluation of Bridge Width Effect
Bridge width (ft)
42

M (ft-kip/ft)

4.5;

54

66

4.53

4.54

9EVALUATING SKEW:

The effect of skew was evaluated. Models had neither end nor intermediate diaphragms.

Respectively, Table A-12 and Table A-7 represent the model geometry and material
77

->A0 onO
properties were considered in the analysis. Skew of 0iO, 20
, 30 , and 45 were the scope.

The obtained results are as shown in Table A-19.

Table A-19. Moment Values Developed at the Connection Due to PTG during
the Evaluation of Skew Effect
————

»•

Skew ()

M (ft-kip/ft)

0

20

30

45

4.58

4.5

4.38

4.35

78

Appendix B

Connection Design Example for DBT

79

APPENDIX B- CONNECTION DESIGN EXAMPLE FOR DBT

The design example illustrates the design procedure for a longitudinal coimection with Ubar detail. The forces taken into the design were determined from the final DBT bridge

model Table (4) when TG and LL were applied. The design was in accordance with
AASHTO (2012) and MDOT (2013a, b) specifications. Flexural reinforcement that
satisfies the maximum moment will be designed and crack control criteria checked. Other

checks such as development length and shear capacity of the section will be performed.
The following variables were used in this example:
Comiection thickness = 9 in.

28-day concrete compressive strength, (f c) = 7 ksi,
Elastic modulus of concrete (Ec) = 5,072 ksi

Yield strength of reinforcement (fy) = 60 ksi,
Elastic modulus of reinforcement (Es) = 29,000 ksi
Modular number (n) = 6

Bottom concrete cover = 1.5 in. from the centerline of the bottom layer of
reinforcement

Top clear concrete cover = 3 in.

Proposed configuration for the longitudinal connection is shown in (figure 40)
Step 1: Load Combinations for moments
Load combinations in accordance with AASHTO (2012) table 3.4.1.-1 are utilized:
Strength I:

Positive moment Msn-p: 1.75(positive LL moment) = +22.75 ft-kip/ft

Negative moment Msti-n: 1.75(negative LL moment) = -3.3 ft-kip/ft
Service I:

Positive moment Msi-p: The greatest of

1.0 (positive LL moment+0.5 PTG moment) =18 ft-kip/ft -» Msi-p =+18 ft-kip/ft
1.0 (PTG moment) =+10 ft-kip/ft

Negative moment Msi-n: The greatest of
80

1.0 (negative LL moment+0.5 NTG moment) =3.4 ft-kip/ft -> MSi-n=-3.4 ft-kip/ft
1.0 (NTG moment) =-3 ft-kip/ft

Step2: Design for the largest moment (i.e., positive moment)

For a rectangular section, the nominal strength is given in the following equation and the
required area of reinforcement steel was detennined.

T=f^-(lfe)A2s
where

As= cross-sectional area reinforcement steel (in )
b = width of rectangular section (12 in.)

ds =distance from extreme compression fiber to the centroid of tensile
reinforcement (7.5 in.)

Therefore, As = 0.7 in2/ft for MSti-p = 22.75 ft-kip/ft was obtained and the use of #5 bars
(a). 5 in. satisfies the condition. However, the distance between the neutral axis and the

compressive face, c is calculated as 0.9 in. from the below equation
C =

ASfy
0.85fcf31b

where

pi = 0.85 - 0.05(f'c - 4) for f c> 4 ksi

The top reinforcement is located at 3 in. below the top surface which is below the natural
axis, c. The strain value in the top reinforcement, (es) was calculated as 0.008 which is >
the yield strain of steel (i.e., the top reinforcement yields).

where

d's = the effective depth for the top layer reinforcement (3.31 in.)
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Thus, the section is redesigned using both layers of the U-bar to be more economical. The

area of steel reinforcement As is 0.99 in.2/ft with an effective section depth (d) = 5.5 in.
xAccordingly, the use of #5 bars @ 7 in. provides more economical steel reinforcement
and satisfies the maximum moment requirement.

Step3: Control of cracking by distribution of reinforcement

The spacing s of mild steel reinforcement in the layer closest to the tension face shall
satisfy the maximum spacing S, given in AASHTO (2012) eq. 5.7.3.4-1 as follows:

S=700^--2dc
p =1+ 0.7(h-dc)
Ps.fss
c ;' '*
where

ye=an exposure factor (i.e., 1 for class exposure 1 and 0.75 for class exposure 2)
dc=thickness of concrete cover measured from tension fiber to center of the
flexural reinforcement (in.)

fss=tensile stress in steel reinforcement at the service limit state (ksi).
h=structural component total depth (in.).

dt=distance from the extreme compression fiber to the centroid of the extreme
tension steel element (in.).

Reinforcement spacing = 7 in. when #5 bar is used. Assume the neutral axis is at a
distance "y" from the compression face of the section.
Transformed steel area = (steel area) x (modular ratio) = 0.31x6 = 1.86 in
From the compatibility equation
Tension = compression
1.86(7.5-y)=7.y.(y/2)
y= 1.75 in.

Sacrificial surface

Strain

Stress based on
Transformed Section

Figure B-l. Strain and Stress Diagrams.

Wormed = 1.86x(7.5-l .75)2 + 7x(1.75)3/3 = 74 in4
Steel stresses, fss = (MC/1) (n) where M is the maximum positive service moment (Msi-p)

acting on 7 in. width of the connection due to live and temperature gradient loads.
fss - [[18x(7/12)x (12)x(5.75)]/74]x6 = 58.75 ksi.
h= 9.5 in. - 0.5 in. = 9 in.

Ps = l +

d.

1.5

0.7(h - dc)

= 1 +

" ' 0.7(9 - 1.5)

= 1.28

If exposure 2 condition is assumed, ye = 0.75. Therefore,
TP
S<700

Ps x fss

2d,

0.75
700 x

-

2 x 1.5 = 3.9 in.

1.28 x 58.75

Since the reinforcement spacing is 7 in., which is > S, and the tensile stress in steel
reinforcement fss is close to the yield stress of the reinforcement, therefore, the condition
is not satisfied and crack control governs. The reinforcement was redistributed by

changing the bar diameter to #4. When # 4 bar @4 in. is used, fss = 53 ksi, and S= 4.7 in.
Therefore, crack control check is satisfied. Yet, the steel stress (fss) is very high, around

90% of the steel yield strength (fy). For service limit states, this value seems

unacceptable. The AASHTO (2012) eq. 5.7.3.4-1 does not have an upper limit to the
tensile stresses (fss). However, the original sources for this equation Frosch (2001) and
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DeStefano et al. (2003) limit fss to be 80% of steel yield strength. Hence, the detail was
revised #4 @ 3.5 in.
Transformed steel area = (steel area) x (modular ratio) = 0.2x6 =1.2 in
From the compatibility equation
Tension = compression

1.2(7.5-y)=3.5.y.(y/2)
y = 1.95 in.
t«

r

Sacrificial surface

2
_

2"

\J Neutral
axis

i
-1-

j«

05|*
I

<>3.5n

I

*=12
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3^"•'•*-!

"

Stress based on
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Figure B-2. Strain and Stress Diagrams

Wormed = 1.2x(7.5-1.95)2 + 3.5x(l.95)3/3 = 45 in4
Steel stresses, fss = (MC/I) (n) where M is the maximum positive service moment (Msi-p)

acting on 3.5 in. width of the connection due to live and temperature gradient loads.
fss = [[18x(3.5/12)x (12)x(5.55)]/45]x6 = 47 ksi.

If exposure 2 condition is assumed, ye = 0.75. Therefore,
S<700

P, x fS!

2dc

c

= 700 x

1.28 x 47

2x1.5 = 5.7 in.

Since the reinforcement spacing is 3.5 in., which is < S, and the tensile stress in steel
reinforcement fss is less than 80% of fy, it is recommended to use #4 @ 3.5 in U-bar
reinforcement for the connection. The flexural reinforcement is staggered from adjacent

flanges. Accordingly, in order to accomplish the connection required reinforcement,
#4@7 in. U-bars shall be distributed in each girder flange.
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Step4: Cracking Moment
frL
Cracking moment, Mcr = —
where

fr= modulus or nipture = 0.24v% (ksi)

Ig= gross moment of inertia (in. )
y= distance from the neutral axis to the extreme tension fiber (in.)
fr= 0.24V7 = 0.635 ksi
L =

bh3

g

12
h

12(9)3

= ———- = 729 in.4
12

for a 1 tt - section

9

y = —= —= 4.5 in.

^22

0 635T729)

Mcr = '4.5(1Z)
1 / = 8.6 ft - kip/ft > MSI_N = 3.4 ft - kip/ft
Since the cracking moment capacity is greater than the negative moment in the service
limit state, the connection will not crack under the effect of LL and TG.
Step4: Shear design

Combined effect of live and temperature gradient loads was considered. Shear design is
an iterative process the final arbitrary cycle is shown here
Strength I:

Shear, Ssn-p: 1-75 (Live load shear) = 10 kip/ft
The nominal shear resistance, V„, shall be the smaller of:
vn=vc+vs

Vn= 0.25f c by.dv
where:

Vc=0.0316pv/Fc.bvdv
Vs = shear reinforcement nominal shear resistance
dv = effective shear depth
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= d-a/2 but not less than (0.9d) or (0.72h)
From flexural design
a= 0.83 in.
h= 9 in.

d= 5.5 in.

dv= 5.5 - (0.5) (0.83) = 5.085 in.
But not less than:

0.9 d = 0.9(5.5) = 4.95 in.

0.72h = 0.72(9) = 6.48 in.
Thus, dv= 6.48 in.

In order to calculate the contribution of concrete to nominal shear resistance, the

following steps shall be perfonned:

Step 4-1: Strain in Flexural Tension Reinforcement

^+ 0.5NU +0.5(VU - Vp)cot9 - Aps(fpo)

£ = (-92

——

—-r

Z(hsAs + hpApSJ

< 0.001

where

Mu = moment at the critical section for shear with Strength I load combination =
22.75 ft-kip/ft

Vu= shear at the critical section for shear with Strength I load combination =10
kip/ft

Nu = normal compression force acting on the location of the critical shear with
Strength I load combination =zero

fpo =a parameter taken as modulus of elasticity of prestressing tendons = 0 ksi
Vp= component of the effective prestressing force in the direction of the applied
shear =0

0 = angle of inclination of diagonal compressive stresses = 26.5 degrees
(assumed)
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As= 3.4 (0.2) = 0.68 in.2/ft (Flexural reinforcement ofa foot section ofthe
connection at the layer closest to the tension side). Where, the number of the
bars in 1 ft = 12/reinforcement spacing= 12/3.5

£=(

22.75
6.48

+ 0 + 0.5(10 - 0) cot 26.5 - 0

2(29000(0.68)+ 0)

13.54

39440

= 0.000343

Step4-2: Shear Stress

Vu =^___^
0bv dv
wiiere

Vu = shear stress in concrete

0 = resistance factor =0.9

Vp= component of the effective prestressing force in the direction of the applied
shear = 0

V.=
10;Cofe)= 0.143 ksi
U (0.9)(12)(6.48)
(Vu/fc) = (0.143/7) = 0.02
Step4-3: Values of (3 and 0
These values were obtained from AASHTO (2012) Table 5.8.3.4.2-1
0 = 26.6° = assumed value of 26.5°

(3 = 2.94

Therefore, the concrete contribution of resisting shear forces can be determined

Vc = 0.0316pVFcbvdv
Vc = 0.0316(2.94)V7 (12)(6.48) = 19.1 kip/ft
Check:

0.50>(VC + Vp) = 0.5(0.9)(19.1+0) = 8.6 kip/ft
Since Vu = 10 kip/ft > 0.5O(Vc + Vp)= 8.6 kip/ft, concrete strength is not adequate to
resist shear forces. Therefore, shear capacity from the flexural reinforcement shall be
calculated to check the total section capacity.
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„

2(0.2)(60)(6.48)cot(26.5) OQ _. ,.
Vs = Av.fy.dv.cot9 = —
j^——— = 89.1 kip/ft

The total shear section capacity can be calculated as (0.9) (89.1 + 19.1) = 97.3 kip/ft,

which is greater than the shear demand of 10 kip/ft. Therefore, the connection is capable
of developing an adequate shear capacity.

Step5: Development length check

The basic development length for hooked U-bars shall be the greatest of
38.0db

38.0(0.5)

vC

V7

= 7.2 in.,

or

8db=8(0.5)=4in.,
or

6 in.

When the modification factors are applied, the development length =7.2x0.7x0.8x1.2 =

4.83 in. < 6.0 in. The development length condition is satisfied.
Step 6: Lacer Bar Design

To determine the appropriate size of lacer bars He et al. (2013) equation can be used as it
follows:

"lbar.*y,lbar ._
>

Aubar fy,ubar

^

^d

where,

Aibar= the area of one lacer bar

Aubar= the area of one U-bar (i.e., the area of the two legs)

fy.ibar= yield strength of the lacer bars
fy,ubar= yield strength of the U bars
S= the spacing between the u bars
Ld= the development length
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If the yield strength of the lacer bars is the same as for the connection reinforcement and
the connection is reinforced with #4 @ 7in., lacer bar diameter should not be less than
0.385 in. Hence, it is recommended to use #4 lacer bars for the coimection.
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Appendix C

Coimection Design Example for DBB
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APPENDIX C-CONNECTION DESIGN EXAMPLE FOR DBB

The design example illustrates the design procedure for a longitudinal comiection with U-

bar detail. The forces taken into the design were detennined from the final DBB bridge
model Table (4) when TG and LL were applied. The design was in accordance with
AASHTO (2012) and MDOT (2013a. b) specifications. Flexural reinforcement that

satisfies the maximum moment will be designed and crack control criteria checked. Other
checks such as development length and shear capacity of the section will be perfonned.
The following variables were used in this example:
•

Connection thickness = 9 in.

28-day concrete compressive strength, (f c) = 7 ksi,
Elastic modulus of concrete (Ec) = 5,072 ksi

Yield strength of reinforcement (fy) = 60 ksi,
Elastic modulus of reinforcement (Es) = 29,000 ksi

Modular number (n) = 6

Bottom concrete cover = 1.5 in. from the centerline of the bottom layer of
reinforcement

Top clear concrete cover = 3 in.

Proposed configuration for the longitudinal connection is shown in (figure 40)
Step 1: Load Combinations for Moments
Load combinations in accordance with AASHTO (2012) table 3.4.1.-1 are utilized:

Strength I:

Positive moment Msti-p: 1.75(positive LL moment) = +10.5 ft-kip/ft

Negative moment Msti-n: 1.75(negative LL moment) = -1.0 ft-kip/ft
Service I:

Positive moment Msi-p: The greatest of

1.0 (positive LL moment+0.5 PTG moment) =+10.7 ft-kip/ft -> Msi-p =+10.7 ftkip/ft
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1.0 (PTG moment) =+9.3 ft-kip/ft

Negative moment Msi-n: The greatest of

1.0 (negative LL moment+0.5 NTG moment) =-2.0 ft-kip/ft
1.0 (NTG moment) =-2.8 ft-kip/ft -» MSi-N=-2.8 ft-kip/ft

Step2: Design for the Largest Moment (i.e., Positive Moment)
For a rectangular section, the nominal strength is given in the following equation and the
required area of reinforcement steel was determined.

Mu

( fy \ 2

T" y sAs"ll7r>jAs
where:

As= cross-sectional area reinforcement steel (in )
b = width of rectangular section (12 in.)

ds=distance from extreme compression fiber to the centroid of tensile
reinforcement (7.5 in.)

Therefore, As = 0.32 in2/ft for Msti-p = 10.5 ft-kip/ft was obtained and the use of #5 bars
@ 11 in. satisfies the condition. However, the distance between the neutral axis and the
compressive face, c is calculated as 0.4 in. from the below equation

Asfy
c =

0.85fcp1b

where:

Pi = 0.85 - 0.05(f'c - 4) for f c> 4 ksi

The top reinforcement is located at 3 in. belowthe top surface which is belowthe natural
axis, c, The strain value in the top reinforcement, (es) was calculated the equation below

as 0.02 which is greater than the yield strain of steel (i.e., the top reinforcement yields).

where

92

d's = the effective depth for the top layer reinforcement (3.31 in.)
Thus, the section is redesigned using both layers of the U-bar to be more economical. The

area of steel reinforcement As is 0.44 in.2/ft with an effective section depth (d) = 5.5 in.
Accordingly, the use of #4 bars @ 10 in. provides more economical steel reinforcement
and satisfies the maximum moment requirement.

Step3: Control of Cracking by Distribution of Reinforcement

The spacing s of mild steel reinforcement in the layer closest to the tension face shall
satisfy the maximum spacing S, where:

S=700^4

Mss

2dc ; 0=1 +
"'

0.7(h-dc)

where,

ye = an exposure factor (i.e., 1 for class exposure 1 and 0.75 for class exposure 2)
dc = thickness of concrete cover measured from tension fiber to center of the
flexural reinforcement (in.)

fss = tensile stress in steel reinforcement at the service limit state (ksi).

h = structural component total depth (in.).

dt = distance from the extreme compression fiber to the centroid of the extreme
tension steel element (in.).

Reinforcement spacing = 10 in. when #4 bars are used. Assume the neutral axis is at a
distance "y" from the compression face of the section.
Transformed steel area = (steel area) x (modular ratio) = 0.2x6 = 1.2 in
From the compatibility equation
Tension = compression
1.2(7.5-y)=10.y. (y/2)
y= 1.22 in.
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Figure C-l. Strain and Stress Diagrams.

Wormed = 1.2x(7.5-l.22)2 + 10x(1.22)3/3 = 53 in4
Steel stresses, fss = (MC/I) (n) where M is the maximum positive service moment (Msi-p)

acting on 10 in. width of the comiection due to live and temperature gradient loads.
fss = [[10.7x(10/12)x (12)x(6.28)]/53]x6 = 77 ksi.
h= 9.5 in. - 0.5 in. = 9 in.
±

P =1 + 0.7(h - dc)

1.5

= 1 +

" ' 0.7(9 - 1.5)

= 1.28

If exposure 2 condition is assumed, ye = 0.75. Therefore,

s-700dLS"2dc =700xi_Kr77-2xl-5 =2-3inSince the reinforcement spacing is 10 in., which is > S, and the tensile stress in steel
reinforcement fss is higher than the yield stress of the reinforcement, therefore, the
condition is not satisfied and crack control governs. The reinforcement spacing is

decreased to satisfy crack criteria. If #4@5.5in. is used, fss = 43 ksi, and S= 6.5 in.
Therefore, crack control check is satisfied. The flexural reinforcement is staggered from

adjacent flanges. Accordingly, in order to accomplish the connection required
reinforcement, #4@11 in. U-bars shall be distributed in each girder flange.
Step4: Cracking Moment
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f I

Cracking moment, Mcr = —
y

where:

fr=modulus or rupture = 0.24^^ (ksi)
Ig= gross moment of inertia (in. )
y= distance from the neutral axis to the extreme tension fiber (in.)

fr= 0.2477 = 0.635 ksi
bh3
L =

g

12
h

12(9)3
=

12

= 729 in.

tor a 1 ft — section

9

y = - = —= 4.5 in.

*

2

2

Mcr =°'^355(17229) =8.6 ft - kip/ft >MS]_N =2.8 ft - kip/ft
Since the cracking moment capacity is greater than the negative moment in the service
limit state, the connection will not crack under the effect of LL and TG.

Step4: Shear Design

Combined effect of live and temperature gradient loads was considered. Shear design is
an iterative process the final arbitrary cycle is shown here
Strength I:

Shear, Ssti-p: 1-75 (Live load shear) = 9 kip/ft
The nominal shear resistance, Vr„ shall be the smaller of:
v„=vc+vs

Vn= 0.25f c bv.dv
where:

Vc=0.0316pVf'c.bvdv
Vs = shear reinforcement nominal shear resistance
dv = effective shear depth

= d-a/2 but not less than (0.9d) or (0.72h)
From flexural design
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a= 0.83 in.
h= 9 in.
d= 5.5 in.

dv= 5.5 - (0.5) (0.83) = 5.085 in.
But not less than:

0.9 d = 0.9(5.5) = 4.95 in.
0.72h = 0.72(9) = 6.48 in.
Thus, dv= 6.48 in.
In order to calculate the contribution of concrete to nominal shear resistance, the

following steps shall be perfonned:

Step 4-1: Strain in Flexural Tension Reinforcement

/S+0.5NU +0.5(VU - Vp)cot6 - Aps(fpo) \

£ = -2X

\^

-1

PJ—

2(ESAS +EpAps)

___i_

J

< o.OOl

where

Mu = moment at the critical section for shear with Strength I load combination =
10.5 ft-kip/ft

Vu= shear at the critical section for shear with Strength I load combination=9
kip/ft

Nu = normal compression force acting on the location of the critical shear with
Strength I load combination =zero

fpo =a parameter taken as modulus ofelasticity ofprestressing tendons = 0 ksi
Vp= component ofthe effective prestressing force inthe direction ofthe applied
shear =0

0 = angle of inclination of diagonal compressive stresses = 26.5 degrees
(assumed)
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As= 2.2 (0.2) = 0.44 in.2/ft (Flexural reinforcement ofa foot section ofthe
connection at the layer closest to the tension side). Where, the number of the
bars in 1 ft = 12/reinforcement spacing= 12/5.5=2.2
10.5
,6.48

+ 0 + 0.5(9 - 0) cot 26.5 - 0 \

2(29000(0.44)+ 0)

/

irj.6

25520

= 0.000415

Step4-2: Shear Stress

0bvdv
where

Vu = shear stress in concrete
0 = resistance factor =0.9

Vp= component of the effective prestressing force in the direction of the applied
shear = 0

10-(0.9)(0)

Vu= 7—77 d

'

(0.9)(12)(6.48)

= 0.143 ksi

(Vu/fc) = (0.143/7) = 0.0

o

Step4-3: Values of p and 0
These values were obtained from AASHTO (2012) Table 5.8.3.4.2-1
0 = 26.6° = assumed value of 26.5°

P = 2.94

Therefore, the concrete contribution of resisting shear forces can be determined

Vc = 0.0316Pv/frcbvdv
Vc = 0.0316(2.94)V7 (12)(6.48) = 19.1 kip/ft
Check:

0.50>(VC + Vp) = 0.5(0.9)(19.1+0) = 8.6 kip/ft
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Since Vu = 9 kip/ft > 0.5<_>(VC + Vp)= 8.6 kip/ft, concrete strength is not adequate to
resist shear forces. Therefore, shear capacity from the flexural reinforcement shall be
calculated to check the total section capacity.
Vs=

Av.fy.dv.cote
2(0.2)(60)(6.48)cot(26.5) «.,_,,. In
—— = —
•
'•
-=56.7 kip/tt

The total shear section capacity can be calculated as (0.9) (56.7 + 19.1) = 68.2 kip/ft,

which is greater than the shear demand of 9 kip/ft. Therefore, the connection is capable of
developing an adequate shear capacity.
Step5: Development Length Check

The basic development length for hooked U-bars shall be the greatest of

38.0db

38.0(0.5)

Vfc

V7

c

7.2 in.,

or

8db=8(0.5)=4in.,
or

6 in.

When the modification factors are applied, the development length =7.2x0.7x0.8x1.2 =
4.83 in. < 6.0 in. The development length condition is satisfied.
Step 6: Lacer Bar Design

To determine the appropriate size of lacer bars He et al. (2013) equation can be used as it
follows:

"Ibar.fyjbar

^
>

^ubar tyubar

*"d

where,

Aibar= the area of one lacer bar

A„bar= the area of one U-bar (i.e., the area of the two legs)

fyjbar = yield strength of the lacer bars
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fy,ubar= yield strength of the U bars
S= the spacing between the u bars
Lj= the development length

If the yield strength of the lacer bars is the same as for the connection reinforcement and
the comiection is reinforced with #4 @ 11 in., lacer bar diameter should not be less than
0.483 in. Hence, it is recommended to use #4 lacer bars for the connection.
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